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Abstract

This study investigates the robustness of steel moment-resisting frames (MRFs) under
column loss scenarios, both in undamaged and post-seismic conditions. In this context, ro-
bustness is defined as the ability of a damaged structure to prevent progressive collapse fol-
lowing an earthquake. A parametric investigation was conducted on 48 three-dimensional
MREF configurations, varying key design and geometric parameters such as the number
of storeys, span length, and design load combinations. Nonlinear dynamic analyses were
performed using realistic ground motions and column loss scenarios defined by UFC guide-
lines. The effects of pre-existing seismic damage, facade claddings, and joint typologies
were explicitly accounted for using validated component-based modelling approaches. The
results indicate that long-span, low-rise frames are more vulnerable to collapse initiation
due to higher plastic demands, while higher-rise frames benefit from load redistribution
through their increased redundancy. In detail, long-span, low-rise frames experience
roughly ten times higher displacement demands than their short-span counterparts, and
post-seismic damage has limited influence, yielding rotational demands within 5-10% of the
undamaged case. The Reserve Displacement Ductility (RDR) ranges from approximately
6.3 for low-rise, long-span frames to 21.5 for high-rise frames, highlighting the significant
role of geometry in post-seismic robustness. The post-seismic damage was found to have a
limited influence on the dynamic displacement and rotational demands, suggesting that
the robustness of steel MRFs after a moderate earthquake is largely comparable to that
of the initially undamaged structure. These findings support the development of more
accurate design and retrofit provisions for seismic and multi-hazard scenarios.

Keywords: steel moment-resisting frames; progressive collapse; post-seismic damage;
nonlinear dynamic analysis; robustness; end-plate joints; fagade claddings; Eurocode;
parametric study

1. Introduction

Steel moment-resisting frames (MRFs) are widely used in seismic-prone regions due
to their ductility, energy dissipation capacity, and ability to withstand large deformations
without experiencing catastrophic failure. However, the robustness of these structures
after seismic events remains a critical aspect that influences their residual performance
and safety.

Post-seismic robustness refers to the ability of an MRF to resist progressive collapse
following an initial damage state induced by an earthquake. Current design approaches
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for structural robustness typically assume undamaged conditions, neglecting the potential
degradation caused by seismic actions [1]. However, real-world scenarios indicate that
structures sustaining moderate to severe seismic damage may become more vulnerable
to progressive collapse, especially in the presence of additional extreme events such as
gas explosions, fires, or accidental column removal [2]. Understanding the post-seismic
robustness of MRFs is essential for ensuring life safety, structural reliability, and resilience
in the aftermath of an earthquake.

Various studies have highlighted the role of redundancy, energy dissipation, and load
redistribution in preventing progressive collapse [3-7]. Robustness evaluation methods
include nonlinear static and dynamic analyses, which simulate column loss scenarios to
assess the redistribution capacity of the structure [4].

More recent works have further deepened the understanding of MRF robustness,
including probabilistic approaches [8], European guidance on structural robustness [9], and
machine learning-based assessments of nonlinear response [10].

Previous research indicates that MRFs primarily fail due to the loss of lateral resistance
and excessive plastic hinge formation, leading to progressive collapse [6]. The behaviour of
beam-to-column connections, especially flush end-plate joints, significantly influences the
overall robustness of MRFs under extreme conditions [7]. Zhang et al. [11] demonstrated
that bolted angle connections can develop substantial tensile resistance and large deforma-
tion capacity under monotonic loading. Although their study focused on uniaxial tensile
tests, these characteristics suggest a potential for such connections to contribute to load
transfer mechanisms in extreme scenarios, such as column removal.

Seismic loading introduces residual deformations and reduces the capacity of key
structural elements, likely leading to a weakened post-seismic state [12]. Studies have
shown that damage accumulation in beam-to-column joints and column bases significantly
affects the ability of structures to resist additional loading scenarios, such as column
loss [13]. The presence of residual drift and cracks in steel connections can exacerbate
instability and reduce energy absorption capacity [14].

Design codes, such as the Eurocode and the Unified Facilities Criteria [15,16], offer
general guidelines for progressive collapse prevention but do not explicitly address post-
seismic conditions. Research has indicated that current seismic detailing requirements may
not be sufficient to ensure adequate robustness after an earthquake, necessitating additional
reinforcement strategies [14].

Innovative structural systems such as steel frames combined with rocking shear
walls have shown promising seismic and post-seismic performance by enhancing energy
dissipation and limiting residual damage, thus contributing to overall structural robustness
under sequential extreme events [17].

Non-structural components, particularly facade claddings and partition walls, have
been found to contribute significantly to the robustness of steel frames. While traditionally
disregarded in collapse analyses, recent experimental and numerical studies suggest that
these elements provide additional lateral support and energy dissipation, enhancing the
structural response to progressive collapse scenarios [18,19].

Despite the extensive literature on seismic design and progressive collapse separately,
limited attention has been paid to the interaction between post-seismic damage and ro-
bustness against column loss. Furthermore, very few studies account for the detailed
contribution of joints and non-structural elements in such scenarios, which this study
addresses explicitly.

In light of these considerations, this study aims to investigate the post-seismic ro-
bustness of steel moment-resisting frames in both undamaged and seismically damaged
conditions; for this purpose, nonlinear dynamic analyses were performed on a set of 3D
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MREF structures subjected to column loss and post-seismic column loss scenarios. Specifi-
cally, the pursuit of the following objectives has guided the research:

e To evaluate the robustness of steel MRFs by using a refined model strategy (3D model
accounting for the contribution of joints and claddings).

e To focus on the eventual impact of seismic damage on the ability of MRFs to resist
progressive collapse.

e Toidentify key structural parameters influencing post-seismic robustness, including
the number of storeys, span lengths, column loss scenario, etc.

o  To assess the contribution of secondary structural elements and non-structural compo-
nents, such as facade claddings, in preventing collapse propagation.

Accordingly, the paper is structured as follows: (i) Section 2 describes the parametric
study, including the variation parameters and structural design; (ii) Section 3 outlines the
modelling assumptions and analysis methodology; (iii) Section 4 presents the results for
both initially undamaged and post-seismic scenarios; and (iv) Section 5 concludes with the
main findings and implications.

2. Parametric Study

The numerical study was designed as a full-factorial parametric investigation in-
volving 48 distinct three-dimensional MRF configurations. These configurations were
systematically derived by varying a selected set of structural and design parameters, in-
cluding the number of storeys, interstorey height, bay span, cladding type, plan layout,
and lateral load design conditions, as summarised in Table 1.

Table 1. Parameters of variation.

Parametric Variable Admissible Values
N) Number of storeys 4;8
( y
(H) Interstorey height 3 m (3.5 m between gr. and 1st floor);

4 m (4.5 m between gr. and 1st floor)

(S) Bay span 6m; 10 m

None (N); brick masonry (M—for
wind-designed frames);

(C) Facade claddings Cold-formed steel “X” bracing (C—for seismically
designed frames)
(T) Bay plan layout 3x54x45x4

(D) Lateral force design scenario ~ Wind-designed (W); seismic- + wind-designed (E)

(L) Column removal scenario XZ fagade (L); XY facade (S); corner (C)

2.1. Parameters of Variation

A set of 48 3D buildings equipped with moment-resisting frames was designed by
varying (i) the number of storeys, (ii) the interstorey height, (iii) the span length, (iv) the
bay configuration, and (v) the designed lateral loads (either wind or wind + earthquake).

The parameters of variation are summarised in Table 1 with the relevant admissi-
ble values.

Each structure is equipped with two MRFs per direction (see Figure 1a), located on
the perimeter; the remaining frames are designed to resist gravity loads only.

To unequivocally identify each structure, a labelling system was created, thus estab-
lishing the correspondence between the structure’s name and its unique set of parametric
variables. An example of a structure label is given by the code N8-H3-56-CL-T4x4-DE,
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where N indicates the number of storeys, H is the interstorey height, S is the bay span, C is
the cladding type, T is the type of bay plan layout, and D is the lateral force design scenario.

5x3

S ——

4xa 5x4 TIL

(a) (b)

Figure 1. (a) Plan layout of structural archetypes; (b) column loss scenarios.

The structures designed were then analysed under different column loss scenarios, for
both undamaged and damaged conditions, where the latter corresponds to the structure af-
ter sustaining damage induced by seismic action. Regarding the column loss location, three
different peripheral scenarios have been considered, as shown in Figure 1b, with column
removals defined in accordance with the UFC 2009 [20], namely, for the corner column,
long-facade column, and short-fagade column. The section of the column to be removed is
the one defined between the ground level and the first storey for all considered scenarios.

2.2. Design Assumptions

The frames to be analysed were designed according to Eurocodes. EN 1991-1-7 [21]
was applied to determine the design actions and the loading combination; the verification
checks are compliant with EN 1993-1-1 [22] and EN 1998 [15].

For the loading scenario DE (wind + earthquake), the structures were designed ac-
cording to capacity design criteria compliant with EC8 to guarantee a weak beam-strong
column mechanism type; conversely, for loading scenario DW (wind), no hierarchy of
resistances was considered, structural members were designed to fulfil all limit states
according to EC3, and a strong beam-weak column failure type was obtained.

The considered gravity loads are summarised in Table 2.

Table 2. Gravity loads.

Type of Load Location Value
Permanent structural load All storeys 1.7 kN /m?
Ground floor 1.2 kN/m?2
Permanent non-structural load i-th floor 1.4 kN /m?
Roof 1.2 kN/m?
Live loads Ground floor 4.0 kN/m?
i-th floor 3.0 kN/m?
Roof 0.4 kN /m?

For the determination of the design wind loads, the basic wind velocity v, was
calculated through the expression given in clause 4.2(2)P of the EN 1991-1-4 [23]. In the
fundamental value of the basic wind velocity, v}, o is assumed to be equal to 30 m/s; terrain
category IIl is considered, which is representative of suburban areas. This implies moderate
wind action; indeed, designing against strong wind action could lead to highly robust
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MRFs, not representative of buildings in European urban areas. The seismic action was
defined according to Eurocode 8, and the following base hypotheses were assumed:
Seismic action Type 1 (agr = 2.45 ms?) and Type 2 (agr = 2.45 ms?);

Soil type C;

Importance class II;

Ductility class DCH;

Behaviour factor g =5 x (ay/a;) =5 x 1.3=6.5.

The reference ground acceleration values used correspond to an acceleration of 0.25 g,
which was deemed representative of moderate-seismicity zones. IPE and HE profiles were
used for beams; HE was used for the columns. The cross sections of all steel members (i.e.,
beams, bracings, and columns) were selected to satisfy the Class 1 requirements according
to EN 1993:1-1 [22].

The beam-to-column joints of MRFs are end-plate bolted joints with rib-stiffeners
and supplementary web plates [24], while flush end-plate joints were designed for the
gravity frames; both were designed according to EN 1993 and EN 1998. For gravity frame
beam-to-beam joints, the web cleat typology was selected, given that it is widely adopted
by designers, due to its low cost and reduced assembly time.

3. Robustness Performance Evaluation
3.1. Analysis Methodology

Nonlinear dynamic analyses (NDAs) were performed to accurately assess the post-
seismic robustness of the designed structures. The accuracy of seismic input representation
is crucial for assessing the structural performance of moment-resisting frames under ex-
treme scenarios. Recent studies [25] have highlighted that realistic loading protocols,
including those based on cumulative energy demand, can significantly influence the pre-
dicted ductility and failure mechanisms of frame components. In this study, natural ground
motions scaled to Eurocode 8 spectra are adopted, ensuring compatibility with design
conditions while capturing the essential features of seismic demand. These signals were
selected according to Eurocode 8 [15], using the SelEQ application [26]; the data of the
records are reported in Table 3, while the comparison of individual and average signal
response spectra with the target ones provided by EC8 is shown in Figure 2: the scaled
signals provide a very good fit with the target response spectra, namely, in the period range
corresponding to the natural periods of vibration of the analysed structures.

Salg]»
1.8 -
1.6

0.2 T SSSNNSS

-Mﬂu-..‘_;;- =1

0 0.5 1.0 15 20 25 3.0 35 40 Tis|

Figure 2. Target (dashed lines), group average (bold blue dashed line), and single signal response
spectra for Type 1 seismic action.
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Table 3. Records for Type 1 seismic action spectral matching—general characteristics.
S.l gnal‘ Earthquake Year Magnitude Station Name Station Soil
Designation Name Vs,30 [m/s]
T1-1 Tabas, Iran 1978 7.35 Dayhook 659.6
T1-2 Loma Prieta 1989 6.93 SF—Diamond 582.9
Heights
T1-3 Chi-Chi, Taiwan 1999 7.62 ILAO64 375.3
San Juan
T1-4 Coyote Lake 1979 5.74 Bautista, 370.8
24 Polk St
T1-5 Chi-Chi, Taiwan =~ 1999 7.62 TCU072 468.1
. Parkfield—
T1-6 Coalinga-01 1983 6.36 Gold Hill 2W 376.1
T1-7 Chi-Chi, Taiwan 1999 7.62 TCU046 465.6
T1-8 Chi-Chi, 1999 6.30 CHY035 473.9
Taiwan-06
T1-9— Chi-Chi, 1999 6.20 TCU138 652.9
Taiwan-03
T1-10 Chi-Chi, Taiwan 1999 7.62 HWAO035 473.9

3.2. Modelling Assumptions

The numerical models were created using the Seismostruct software (v2025) [27],
following a component-based modelling strategy. While grounded in well-established
formulations from the literature, each structural component—including joints, claddings,
and panel zones—was specifically adjusted and calibrated against experimental data to
accurately reproduce post-seismic behaviour and potential progressive collapse scenarios.

To verify the reliability of the adopted modelling techniques, key structural elements
were validated through detailed comparison with experimental results reported in the
literature, as presented in Figures 4-8.

Three-dimensional modelling was adopted for the analysed structures, since 2D repre-
sentations, as highlighted by [28], tend to produce exaggerated and unrealistic deformations
due to their limited ability to redistribute internal forces.

Structural members were modelled using force-based (FB) distributed inelasticity
elements, which capture nonlinear behaviour by integrating the material response over the
cross section and along the member length. The cross-sectional behaviour was represented
via the fibre approach: uniaxial stress—strain laws were assigned to individual fibres. The
hysteretic behaviour of steel was modelled with the Menegotto-Pinto model [29], while
the yield strength was defined as the nominal steel yield stress from EN 1993-1-1 [22]
multiplied by the v,y factor from EN 1998-1 [15], to account for material variability.

Gravity loads not directly tributary to the analysed frames were applied to a leaning
column with negligible stiffness, connected through pinned rigid links, to simulate second-
order effects.

Full-scale experimental investigations and nonlinear analyses of steel-concrete joints
by Xu et al. [30] confirmed the significant role of joint geometry in governing load transfer
and deformation capacity under severe loading conditions.

Seismic and wind actions induce large shear forces within the column web panel (CWP)
of moment-resisting frame (MRF) beam-to-column connections, leading to considerable
energy dissipation in these zones. Furthermore, the deformation of the CWP contributes
substantially to joint rotational capacity [31] and affects the overall lateral drift and base
shear resistance [32].

To represent the shear response of the panel zone in MRF beam-to-column joints, the
geometry of the joint was modelled using a fictitious rigid frame reflecting the dimensions
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of the CWP. Each rigid element was pinned at both ends, and rotational springs located at
the upper corners (see Figure 3) were introduced to simulate the shear-distortion behaviour
of the panel zone, using a Ramberg—Osgood hysteresis formulation.

Although several mathematical models exist in the literature for the shear-distortion
behaviour of panel zones [33-35], in this study, the springs were defined with a Ramberg-
Osgood-type relationship. Yielding parameters, specifically the yielding moment and rota-
tion, were derived analytically, whereas other parameters (the Ramberg-Osgood constant
and the convergence limit for the Newton—-Raphson procedure) were calibrated against ex-
perimental data provided by Dubina and Ciutina [31]. Yielding parameters were calculated
according to the approach proposed by Gupta [34], using the following equations:

F F
Vy = —=Aypr = —= (0.95hcty) ~ 0.55F,hct, @
V3 V3
My = Vy . (hb — tf.b) 2)
Fy
== 3
W= e (3)

where Fy is the material yield strength, A is the effective shear area, k. is the depth of the
column, and #, is the thickness of the web, including doubler plates. My is the moment
corresponding to the plastic shear Vy; I, is the beam height and t¢., is the beam flange
thickness; vy is the distortion corresponding to the yielding of the panel in shear; and G is
the shear modulus of the column material.

PINNED
CONNECTIONS

5 2 ROTATIONAL

SPRINGS

ak, T T \
[ iir

RIGID ELEMENTS

ik
heot = ticor COLUMN

_<V

(b)

Figure 3. (a) Trilinear shear-force-distortion law by [34]; (b) web panel refined model.

The accuracy of the above-described modelling assumptions was calibrated and
validated according to experimental tests by [31] (test specimen CP-R-C); a good match
between the experimental and numerical results is confirmed in Figure 4.

For beam-to-column FEP joints under column loss, no catenary final stage can be
achieved, as shown by [36,37]; therefore, the joints behave as weak fuses, while the beam
member remains largely elastic. The beams of the gravity frame were hence modelled
using elastic frame elements, while the connections were modelled using nonlinear links.
The characterisation of the Seismostruct (v2025) nonlinear link elements for gravity beam-
to-column joints was performed separately for joints aligned with the weak and strong
axes of the columns. For both configurations, the procedure was based on results from the
parametric study on flush end-plate (FEP) joints presented by [36]. In cases not directly
investigated by [36], the joint response curves were extrapolated using power regression
expressions based on beam section mechanical properties. For both weak and strong axis
connections, the joint moment-rotation curves were derived through a weighted average
of the relevant existing curves for the same beam profile type (e.g., IPE or HE sections).
Ultimate capacities in terms of the bending moment, axial force, and chord rotation were
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e
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defined through regression models as functions of the beam plastic modulus and cross-
sectional area. These normalised parameters—M/Mp, N/Np, and 0cporq /0p+a—were used
to calibrate the target joint response up to failure.

COLUMN WEB PANEL

400

(b)

Figure 4. Calibration [31]: (a) Seismostruct (v2025) model and (b) comparison between experimental
and numerical Ramberg-Osgood model and monotonic [33] model prediction.

Link properties along the bending and axial force directions were defined with an
elastic—perfectly plastic law (zero hardening), while all other degrees of freedom were
assigned high-stiffness linear elastic properties to simulate rigid behaviour. To account
for dynamic effects, the force-displacement response curves were scaled by a dynamic
increase factor (DIF) derived through energy balance, assuming a single-degree-of-freedom
(SDOF) representation of the joint behaviour. A constant DIF value—calibrated to match
the dynamic response of benchmark configurations—was applied to ensure consistency
with the experimental and numerical references.

For instance, Figure 5 shows the comparison between the numerical response curves
obtained by the Seismostruct (v2025) model with a nonlinear link and the response curve
extrapolated for the weak axis of an IPE 240 joint based on results by [36]. As it can be
argued, link modelling is capable of accurately simulating the static joint response, yielding
a slightly smaller and, hence, conservative catenary axial force at collapse, when compared
to the response curve.

A spring with six degrees of freedom (DOFs) was defined to simulate the web cleat joint
link behaviour. Its properties were evaluated by using the component-based mechanical
model based on Liu, Tan, & Fung [38] and Yang & Tan [39]. The joint response for the DOF in
bending about the beam’s strong axis was defined using the bilinear kinematic formulation
with kinematic hardening, to model elastic—plastic behaviour. The yield moment was
computed when the bolted angle component reached its capacity [39], and zero hardening
was assumed to limit the bending resistance contribution; at high rotation demands, the
resistance is provided by the axial force contribution that is mobilised by catenary action.
For the definition of the horizontal translation DOF, a trilinear symmetric with isotropic
hardening formulation was adopted, which can simulate the hardening effect under large
displacements up to failure. The horizontal and vertical shear DOFs were modelled using
the bilinear kinematic formulation according to the previously described shear stiffness
and strength capacity of the bolt components.
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Figure 5. Calibration of the extrapolated IPE 240 joint: (a) Seismostruct (v2025) model with nonlinear
link; (b) vertical force—displacement static and dynamic energy balance equivalent comparison;
(c) static moment-rotation comparison; and (d) axial force-rotation static i.

For the adopted tensile and vertical shear response curve formulations, joint resistance
continues to increase, even after angle failure, since the formulation provided in the
Seismostruct (v2025) library does not allow for the modelling of a sudden drop in resistance
or negative stiffness values. In this sense, in order to clearly identify the bolted angle
failure, the vertical shear DOF resistance was limited to match the vertical force, which
leads to bolted angle failure. This allows for a zero-hardening condition (i.e., approximately
horizontal force—displacement segment) to be obtained at bolted angle failure, which in
turn enables the identification and subsequent truncation of the structural response curve,
since the response further to partial structural collapse falls outside the scope of the present
study. The joint DOFs pertaining to beam torsion and bending about the weak axis were
assumed to be rigid.

The numerical model was validated against experimental static results by [40] and
numerical dynamic results by [38].

As shown in Figure 6, the adopted link definition can satisfactorily simulate the web
cleat static response under column loss at large displacements. The differences observed
at low displacement values are due to the fact that the response input for each DOF in
the Seismostruct (v2025) is decoupled and that for low displacement values, the bilinear
response in bending is dominant. The response in pure bending (i.e., without axial re-
striction) for low displacements is intended to model the response of gravity frame joints
under seismic action. Dynamic effects were considered by dividing the static curve by a
constant force-based DIF = 2.8. In this case, despite the fact that the DIF varies with the
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applied displacement, adopting a constant DIF is shown to provide good agreement with
the dynamic response curve by [38].

140 -
——STATIC (YANG & TAN 2011)

120 4 <~ DYNAMIC (LIU ET AL. 2013)

100 4 ——STATIC (SEISMOSTR) *
S g0 | --- STATICIDIF (SEISMOSTR) ’
E. EXPERIMENTAL SETUP
w 60 4

40

20 A

0 A ; . - ,
0 100 200 300 400

D [mm]

Figure 6. Seismostruct (v2025) model to simulate [40] comparison between experimental static [39],
numerical dynamic [38], and Seismostruct (v2025) static and dynamic equivalent nonlinear link
vertical force—displacement response.

The contribution of claddings is simulated by using the equivalent diagonal strut
model [41,42]; according to this model, the infill panel is simulated by a diagonal strut
under compression load, located between two opposite nodes of the frame. In particular,
the inelastic infill panel element-type formulation provided in Seismostruct (v2025) was
adopted. This formulation (see Figure 7) considers each panel to be represented by six
strut members, where each diagonal direction features two parallel struts that transfer axial
loads between opposing panel corners, plus a third diagonal element that carries the shear
load and that is activated in compression only.

X oi
®
Yoi L _[ @ —— Active (compression)
~-Internal node
d m I=~~Dummy node _—
he T | ‘
—— De-active (tension)
0) ®
(a) (b)
1 g

Figure 7. Seismostruct inelastic infill panel model: (a) compressions struts; (b) shear strut; (c) masonry
strut hysteretic model; and (d) masonry shear strut hysteretic model.

The inelastic infill panel model was specifically calibrated to simulate the dynamic
behaviour of masonry and CFS claddings, and the relevant accuracy was validated against
experimental results. For masonry claddings, experimental tests described in [43] were con-
sidered, while for facade claddings consisting of strap-braced cold-formed steel (CFS), tests
conducted by [44] were used. The comparison between the experimental and the numerical
response curves is shown in Figure 8a,b for masonry and CFS claddings, respectively; in
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both cases, a good match between the experimental and numerical hysteretic curves can be
argued (see Figure 8).

Global mechanisms (e.g., internal arching, catenary action, and frame instability) were
reproduced in consistency with experimental observations reported in prior large-scale
tests, particularly those referenced in [31,38,40,43,44].

z
Z ) .
2% =07 A o 13%
-==-EXP - MARKULAK ET
AL 2013
—— NUM - [NELASTIC
] N N M o INFILL PANEL
(a) Interstorey drift
150
’ -
100 4 ” ”, / i
:
so 444
Z ] JJ /1

o 5% 10%

===-EXP -IUORIOET AL
2014

——NUN - INELASTIC
INFILL PANEL

(b) A ~150

Interstorey drift

Figure 8. Validation of cladding numerical model: deformed shape and force—interstorey drift
response curve of (a) masonry claddings (against [43]) and (b) CFS claddings (against [44]).

3.3. Monitored Parameters

To assess the structural performance under column loss scenarios, the contribution
of the different collapse-resisting mechanisms need to be taken into account [45], namely,
the (i) frame catenary action; (ii) shear deformation of deep transfer beams; (iii) membrane
action in slabs with central column removal; (iv) Vierendeel action; (v) compressive arch-
ing action between composite slab and steel beams; and (vi) compressive strut action in
fagade claddings.

Frame catenary action, shear deformation, and Vierendeel action were explicitly
modelled in Seismostruct (v2025); membrane action in slabs was not modelled, as the study
focused on bare steel structures without composite slab interaction, while compressive
arching action was considered to be zero because the beams were disconnected from the
slabs at their ends; cladding strut action was accounted for by the explicit modelling of
infill panels.

In addition, the following quantitative performance indicators were monitored:

e  The damping ratio (DR): This parameter was found to significantly affect the dynamic
response under column loss [46]; a sensitivity analysis was performed to investigate the
influence of the damping ratio, by varying it between 1% and 10%, and to determine
the value to be assumed during the NDA.

e  Vertical displacement under column loss was monitored.

o To quantify the capacity of the system to mobilise plasticity for arresting the progres-
sive collapse, the degree of plasticity (DOP) in the directly affected zones (DAZs)
(DOPpaz) was computed as follows:

Udyn,equil damaged

DOPpaz = 4)

Udyn,max,damaged
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The DOPpaz can vary between 0.5 for a fully elastic DAZ response and 1 for perfectly
plastic behaviour. This ratio enables the quantification of the capacity of different
structural typologies to mobilise plasticity for arresting the progressive collapse.

e Rotational demand: The total chord rotational demand ¢ was computed as the arctan-
gent of the ratio between the maximum dynamic vertical displacement u 4y, yax,damaged
and the span L.

e To quantify the system’s reserve displacement capacity, the Residual Ductility Ratio
(RDR) was computed as follows:

Uy, damaged

RDR = )

Udyn,damaged
where (14 damaged) is the system’s displacement immediately prior to global collapse
and (Ugyn, damaged) 1S the maximum dynamic displacement evaluated through NDA.

e To assess the structural safety in post-seismic scenarios involving column loss, the
system’s residual ductility was evaluated through the RDD,qy; ratio, defined as
the ratio between the ultimate displacement capacity iy damages and the stabilised
dynamic equilibrium displacement after damage, Udyn,equil damaged (€€ Equation (6)).
This parameter provides a more realistic measure of the reserve capacity at the time of
potential rescue interventions, compared to ratios based on the peak dynamic response.

uu,damaged o uu,damaged

(6)

RDD iy = =
1 udyn,equil,dumaged DOPDAZ 'udyn,max,dumaged

e Additionally, ductility demand-to-capacity ratios (DCRquyctility) were computed for
moment-resisting frame (MRF) members and secondary gravity frame components
to identify the structural elements most susceptible to ductility demands exceeding
their capacity, thus clarifying retrofit priorities and contributing to the development
of design recommendations aimed at enhancing global structural robustness. The
ductility DCR ratio for member i in structure j was computed according to the follow-
ing expression:

Udyn,damaged,j

DCRductility,ij = @)

uu,damaged,i

where (Ugyn damaged,j) 1S the maximum dynamic displacement (or rotation) subsequent
to column removal in structure j (depends on the characteristics of structure j and
all members i), i.e., the ductility demand, whereas (i, damages,i) is the ultimate dis-
placement (or rotation) capacity of member i when subjected to column loss action (is
independent of the characteristics of structure j), i.e., the member ductility capacity.

4. Results

4.1. Baseline Robustness
4.1.1. Sensitivity to Damping Ratio

A sensitivity analysis was performed to investigate the influence of the DR on the
dynamic response under column loss; two column loss scenarios were considered, namely,
XZ (longitudinal) facade and corner cases.

For the XZ facade column scenario (Figure 8a), the response is predominantly elastic,
and the damping poorly affects the maximum dynamic displacement, with 1/ umax DR=1%
ratio values equal to 1.00, 0.96, 0.94, 0.91, and 0.86 for damping ratios of 2%, 3%, 4%, 5%, and
10%, respectively. Conversely, for the corner column removal case shown in Figure 9b, the
response is significantly more complex, and the effect of the damping is more pronounced,
with u/1max DrR=1% ratio values equal to 0.98, 0.90, 0.91, 0.88, and 0.78 for damping ratios of
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2%, 3%, 4%, 5%, and 10%, respectively. As seen in Figure 8, the effect of damping on the
maximum dynamic displacement following column loss is considerably magnified when
the span increases. For the fagade removal, the 1 /um,x prR=19 ratio values are equal to 0.90,
0.82,0.75, 0.70, and 0.54 for damping ratios of 2%, 3%, 4%, 5%, and 10%, respectively. On
the other hand, for the corner removal, #/umax Dr=1% Values of 0.93, 0.88, 0.83, 0.80, and
0.68 are reported for damping ratios of 2%, 3%, 4%, 5%, and 10%, respectively.
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Figure 9. Effect of damping on the displacement time histories of 6 m and 10 m span frames.

These results confirm the importance of the damping ratio as a key parameter influenc-
ing the progressive collapse arrest, mostly in long-span frames; in order to avoid excessive
and unrealistic displacement reduction, the value of DR = 2% was adopted in the dynamic
analyses, as it is typically considered for building steel frames.

4.1.2. Displacement Time History Under Column Loss

The dynamic response of low- (N4-H3-CN-T5x 3-DE) and medium-rise (N8-H3-CN-
T5x4-DG) frames is presented in Figure 10 in terms of the vertical displacement time
history for (a) 6 m and (b) 10 m span cases. For the low-rise frame, the amplitude of the
maximum displacement is approximately 10 times greater than that for the long-span frame;
for the latter case, a high level of plasticity is required in the DAZ, leading to DOPpaz
values (see Equation (4)) approximately equal to 1 (the maximum dynamic displacement
Udyn,max,damaged and the displacement at equilibrium 14y, eguil damaged are practically equal in
value). Conversely, for the short-span frame, the response to column loss for the different
removal scenarios shows that for scenarios S1 and S2 (i.e., fagade column removals), the
system preserves a degree of elasticity, which leads the displacement at equilibrium to
be smaller in value than the maximum dynamic displacement (DOPp4z values are equal
to 0.73 for both facade removal scenarios). For the eight-storey frames, the maximum
dynamic displacements are generally smaller when compared to the corresponding low-
rise structures due to the larger number of elements the load is redistributed to, allowing
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Figure 10. Vertical displacement time history under different column loss scenarios: (a) 6 m and
(b) 10 m span frames.

4.1.3. Degree of Plasticity of Directly Affected Zones

The degree of plasticity of the directly affected zones (DOPpa ratios, see Equation (4))
for the considered column removal scenarios is presented in Figure 11 for low- and medium-
rise frames (zero corresponds to collapsed structures). The numerical results show that
significant plasticity is required to arrest a progressive collapse, with DOPp4z ratios higher
than 0.5 in all cases. Figure 10 shows that corner column loss cases require the development
of a higher level of plasticity in the DAZs in comparison to fagade losses. In turn, by
comparing the two facade removal cases LL (XZ facade) and LS (YZ fagade), it is possible
to verify that higher DOPp 47 ratios are obtained for the LS case. The differences in terms of
the degree of plasticity are mainly attributed to the different secondary frame systems that
are activated upon column removal, as shown in Figure 12. For the LL case, the mobilised
secondary frame joints are nominally pinned and, hence, more flexible, which explains the
lower DOPp 47 ratios. Conversely, for the LS case, the main mobilised gravity frame joints
are semi-rigid partial-strength joints, which are comparatively more rigid and therefore
tend to develop plasticity for lower rotational demands, leading to higher DOPp 47 ratios.
For the interstorey height, no correlation was found with the degree of plasticity. The span
variable was found to influence the DOPp,4 ratios, namely, for four-storey frames, which
have inherently lower structural robustness and which for 10 m span frames display an
average DOPp4y ratio increase of 11% when compared to the corresponding 6 m span
frames. This is due to long-span systems being required to further develop catenary
action and connection plasticity in order to arrest the collapse. Conversely, for eight-storey
structures, which display much higher robustness due to the higher number of elements
in the DAZ that are mobilised under column loss, 10 m span frames display an average
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decrease in the DOPp 4y ratios of 13% when compared to 6 m span frames. This difference
is explained by the lateral sway limitation requirements for the eight-storey 10 m span
frames, which require large profiles that tend to develop less plasticity under column loss.
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Figure 11. Degree of plasticity of the directly affected zones (DOPpaz) ratios under different column

loss scenarios: (a) 4- and (b) 8-storey frames.
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4.1.4. Reserve Displacement Ductility (RDDeqyil)

Reserve Displacement Ductility is reported in Figure 13, where the effect of claddings

frame with facade claddings (masonry for DW cases, and CF for DE ones); zero values of

is also highlighted (results are separately presented for the bare steel frame and for the
RDDegqy; are indicative of collapsed frames).

With fagade claddings

Bare steel frames

I DE (Earthg. + wind) !

B DW (Wind)

Ml DE (Earthq. + wind) |

[l DW (Wind)

60
50

10
8

Ml DE (Earthq. + wind) |

Il DW (Wind)

Ml DE (Earthq. + wind) |

[l DW (Wind)

60
50

e ° e

" gy

ueds w 9

ouwrelJ oSLI-MO]

10

DW (Wind)

45

DE (Earthq. +windy

H

(b)

E (Earthq. + wind) |

DW (Wind)

B

40

5
0
5
0
5
0
4
12
10
8
6

35
30

2!

2

15
1

1

+ a o

DW (Wind)

45

H

DE (Earthq. +windy

(@)

DE (Earthq. + wind)

DW (Wind)

=

40

n oo w o W o

35

® v T a <

14
12
10

1" aaa 1" aaa
ueds w 9 ueds w 1

uwielJ dSLI-WNIPIN

Figure 13. Reserve Displacement Ductility of (a) bare steel frames (CN) and (b) frames with

fagade claddings.
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The results show that bare steel frames with a medium span (56) display high reserve
ductility values, which are indicative of high robustness and internal redistribution capacity,
with corner removal (LC) cases showing smaller reserve when compared to facade removals
(LL and LS). In terms of the RDD,; values, a minimum RDDeqy; value of 6.3 and average
values of 10.7, 12.6, and 9.8 are reported for the LL, LS, and LC column removal scenarios,
respectively, for low-rise frames and minimum values of 13.8, 14.6, and 11.2 and average
values of 19.7, 21.5, and 15.0 for the LL, LS, and LC column removal scenarios, respectively,
are reported for eight-storey cases. These values indicate that medium-span frames exhibit
high structural robustness and satisfactory capacity of arresting progressive collapse.

Concerning the effect of claddings, CF claddings (DE cases) significantly increase the
reserve of ductility (with average increases in the RDD,,; of 4% and 129% for fagade and
corner losses reported for four-storey cases and average increases in the RDD,,;; of 47%
and 64% reported for facade and corner losses for eight-storey cases), while negligible
improvement can be recognised for masonry claddings in DW cases.

4.1.5. Demand-to-Capacity Ratios (DCRyuctility,ij)

The evaluation of the reserve displacement of different members/connections
presented in this section was performed for the maximum dynamic displacement
(U = Ugyn,max,damaged)- The chord rotations corresponding to Uy, max,damages Were computed
for the different members/connections and compared to their predicted ultimate rotation
capacities. For the moment-resisting frame welded beams-to-column joints, which are
full-strength rigid connections, the ultimate rotation capacity was evaluated according to
the nonlinear modelling criteria for fully restrained moment connections provided in the
UFC 2013 [12]. The ultimate displacement capacity of the web cleat beam-to-beam joints
was computed directly from the moment—chord rotation experimental response curve in
Figure 6, while the ultimate displacement of the secondary frame beam-to-column joints
was computed from the FEP joint chord rotation capacities which were determined consid-
ering the static response and subsequently corrected by a dynamic factor (DIF) determined
according to [32].

Considering that the different column loss scenarios mobilise different members of
the DAZ, the demand-to-capacity ratios DCRyycility,ij (see Equation (7)) were computed for
each removal scenario.

For the XZ facade removal (LL case), MRF beams and Internal Secondary Beam (ISB)
web cleat connections are activated (the ISB member itself remains elastic), whereas for
the YZ facade removal (LS case), MRF beams, Internal Secondary Beams (beam-to-beam
web cleat joints), and Internal Primary Beams (beam-to-column flush end-plate joints) are
mobilised. For the corner column loss (LC case), MRF beams, Internal Secondary Beams
(beam-to-beam web cleat joints), and Perimeter Primary Beams (beam-to-column flush
end-plate joints) are activated.

The results for the LL, LS, and LC cases for four-storey and eight-storey frames are
presented in Figure 14, where DCR ratios of 1.0 are indicative of member/connection failure
and where MRE, ISB, IPB, and PPB stand for moment-resisting frame, Internal Secondary
Beam, Internal Primary Beam, and Peripheral Primary Beam, respectively.

The summarised results show that for all analysed structures, the MRF beam joints
display the highest DCR values, while gravity frame joints tend to present very low values,
owing to their high flexibility, which can accommodate very large rotations without failure.
Indeed, for N4-56 frames, the MRF beams display a maximum DCR j,¢ijiry 0f 0.22, while
“gravity” frame joints display ratio values smaller than 0.09, i.e., approximately half. This
is also seen for the cases of N8-S6 and N8-510 typologies, with displayed maximum MRF
ratio values of 0.10 and 0.39, compared to the maximum ratio values of the secondary
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frame joints of 0.04 and 0.13. It should be noted that it is for the LC removal scenario that
secondary joints display the highest DCRjyctiiity values. Most of the cases (except N4-510
frames) did not collapse under column loss, and the small ratio values indicate that further
reinforcement is not required since there is a large margin of safety between the maximum
dynamic displacement and the ultimate displacement causing structural collapse.
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Figure 14. Ductility demand-to-capacity ratios for (a) 4-storey frames and (b) 8-storey frames.

4.2. Post-Seismic Robustness

The amount of damage to the analysed frames induced by the seismic action was also
evaluated by comparing the vertical displacement time-history (TH) responses between
initially undamaged (IU) and post-seismic (PS) column loss cases. This comparison was
performed for all four-storey frames (N4 cases) for the facade (LL) and corner column loss
(LC) cases.

The obtained results generally indicate that the seismic action does not introduce
significant variations in the maximum dynamic vertical displacements under the subse-
quent column loss action, since small damage levels are introduced by the seismic action.
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Two examples of this are presented in Figure 15, where the frame in Figure 15a is char-
acterised by a predominantly elastic response to column loss (DOPpaz = 0.5), while the
frame in Figure 15b is characterised by a predominantly plastic response to column loss
(DOPDAZ ~ 1.0).
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Figure 15. Displacement time-history comparison between initially undamaged (IU) and post-seismic
(PS) column loss: (a) fagade column loss for the N4-H3-S6-CN-T5 x4-DE frame and (b) corner column
loss for the N4-H4-510-CN-T5x3-DE frame.

Figure 16 compares the response of the designed frames in terms of the rotation
demand between the IU and PS scenarios: the chord rotation demand PS/IU ratios are very
low, with ratio values being close to 1 for nearly all cases. Furthermore, all IU structures
that arrested the progressive collapse also arrested the collapse in the PS scenarios, while
structures that collapsed in the IU case (N4-H3-510-CN-T5x 3-DE-LL and N4-H3-510-CN-
T4 x4-DE-LC) also collapsed in all PS scenarios, as expected.
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Figure 16. Chord rotational demand ratios between initially undamaged (IU) and post-seismic (PS)
scenarios: (a) facade column loss (LL) and (b) corner column loss (LC).

Given the low damage levels or absence of damage introduced by the seismic ac-
tion, the numerical results point to the fact that for the analysed frames, the post-seismic
robustness is virtually the same as the robustness for the initially undamaged structure.
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5. Concluding Remarks

The current paper was devoted to investigating the robustness of steel MRFs under
column loss, considering both undamaged and post-seismic damage conditions. With this
aim, a comprehensive set of nonlinear dynamic analyses (NDAs) was performed by using
a refined modelling approach: full 3D finite element models were developed accounting
for the contribution of the secondary frame and beam-to-column joints. The non-structural
facade claddings were also modelled using nonlinear infill panel formulations calibrated
with experimental results.

The interpretation of the results inferred the following remarks:

e  The initial sensitivity tests show maximum dynamic displacements to be sensitive to
the damping ratio.

e  The analysis revealed that long-span, low-rise frames (e.g., four-storey frames with
10 m spans) proved to be particularly vulnerable to progressive collapse, exhibiting
displacement demands roughly ten times higher than those of shorter-span frames.
Conversely, higher-rise frames demonstrated enhanced internal redistribution capa-
bilities due to increased Vierendeel action, yielding approximately 3—4 times higher
(around 21.5 versus roughly 6.3) Reserve Displacement Ductility (RDD) values.

e  The reserve ductility ratio (RDD) was used to assess the safety margin after stabili-
sation. While medium-span frames showed robust behaviour (RDD = 6.3), several
long-span configurations had RDD values close to 1.0, indicating imminent collapse.

e  The role of non-structural claddings was also analysed. Cold-formed steel (CFS)
claddings contributed effectively to robustness by reducing joint rotation demands
and increasing energy dissipation. In contrast, masonry claddings were less effective,
often failing to mobilise tensile resistance due to early fracture or detachment. The
cladding contribution was particularly relevant in corner column loss scenarios.

e  Prior seismic damage introduced in the simulations had only a limited effect, in-
creasing the rotational demands by roughly 5-10% compared with the undamaged
state. Displacement histories and maximum rotations remained largely unchanged,
suggesting that moderate earthquake damage may not significantly compromise the
structure’s resistance to progressive collapse.

e  These results imply that for the analysed structural type, the design for progressive
collapse in post-seismic scenarios can be made analogously to the initially undamaged
structure scenario.

e  Further experimental studies are needed to characterise the overall robustness of steel
moment frames, including the influence of non-structural elements.

In addition, the findings of this work point to the following recommendations for
seismic retrofit and robustness-oriented design:

e The importance of maintaining joint integrity and catenary capacity in perime-
ter beams;

e  The vulnerability of frames with long spans and unbraced layouts to the loss of
vertical support;

e  The limited contribution of non-structural claddings to post-seismic robustness unless
properly anchored.
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